As the offshore engineering moving from shallow to deep waters, the foundation types for fixed and floating platforms have been gradually evolving to minimize engineering costs and structural risks in the harsh offshore environments. Particular focus of this paper is on the foundation instability and its failure mechanisms as well as the relevant theory advances for the prevailing foundation types in both shallow and deep water depths. Piles, spudcans, gravity bases, suction caissons, and plate anchors are detailed in this paper. The failure phenomena and mechanisms for each type of foundations are identified and summarized, respectively. The theoretical approaches along with sophisticated empirical solutions for the bearing capacity problems are then presented. The major challenges are from flow-structure-soil coupling processes, rigorous constitutive modeling of cyclic behaviors of marine sediments, and the spatial variability of soil properties for large-spreading structures. Further researches are suggested to reveal the instability mechanisms for underpinning the evolution of offshore foundations. 
Introduction
Since the first offshore platform (oil rig "superior") for oil and gas exploitations was constructed in just 6.1 m depth of water in 1947, over 7000 offshore platforms worldwide are located from shallow to deep waters. Nowadays, the terms "deep water" and "ultra-deep water" for the offshore engineering are generally referred to around 500 m and 1500 m, respectively [1] .
In shallow waters, the fixed platforms with concrete or steel legs installed directly on the seabed have been adopted for supporting a deck with space for drilling rigs or production facilities and crew quarters. The fixed platforms mainly include jacket platforms (jacket), jack-up mobile drilling rigs (jack-up), gravity-based structures (GBS). The increasing demanding for hydrocarbon has now led the offshore industries to the deeper water. Nevertheless, the cost of traditional fixed jacket platforms increases exponentially with water depth due to the expenses in the material and construction. As such, several types of floating structures have been developed for deep water applications, e.g. tension-leg platforms (TLP), spar platforms (spar), semi-submersibles, and floating production, storage, and offloading facilities (FPSO). Such floating structures are normally anchored to the seabed with catenary or (semi) taut mooring systems. With the increase of water depth, the dynamic interactions between floating platform and its mooring system become increasingly important [2] .
In the harsh offshore environments, these engineering structures have occasionally been destroyed or damaged. For example, during hurricanes Katrina and Rita in 2005, about 109 offshore platforms (including 5 drilling rigs) were destroyed in the Gulf of Mexico. Around the world, about 12% of the jack-up rigs experienced fatal incidents from 1970 to 2007 [3] . Field investigation showed that the instability of the foundation system is one of the main causes for destroy of whole structures. The instability of offshore infrastructures and even the upper units involves complex flow-interaction-soil coupling processes. Understanding and predicting physical mechanisms of structure-soil interactions under severe offshore loads are vital for the stability and safety of offshore engineering structures [4] .
Along with the platform innovations during the offshore industry moving from shallow to deep waters, the foundations of offshore structures have undergone a steady evolution, aiming at providing bearing capacities to minimize engineering costs and structural risks. Initially, driven pile foundations were used in normally or lightly over-consolidated clays in the Gulf of Mexico with water depth of just 6 m. Gravity bases were then developed to adapt to the heavily over consolidated clays and dense sands in the North Sea. The gravity bases with skirts have been constructed in deeper water of up to 300 m. Suction caissons are an alternative type of foundation in North Sea due to the advantage of reduced installation time and material costs. In moderate water depth (up to 150 m), mobile jack-ups with 'spudcan' foundations are a key contributor around the world through their ability to self-install. The development in deep waters resulted in a variety of floating systems (e.g., FPSOs, semi-submersibles, TLPs, and spars) tethered with anchoring systems, such as suction anchors, plate anchors, and dynamically installed torpedo anchors.
In addition to the offshore oil and gas exploitations, offshore wind farms have also been developing rapidly. One of key features of offshore wind turbine structures is their relative light weight for the size level, yet they are subjected to large horizontal forces and overturning moments from the wind, waves and currents in shallow waters. The horizontal load may be of the order of 65% of the vertical load. The foundations for offshore wind turbines have their variety with some specificities, e.g. monopiles (widely used in Europe), high-rise multi-pile foundations (ever used in the East China Sea). In the offshore engineering for oil and gas, emphasis is mainly focused more on capacity (ultimate limit state) than on deformations (service limit state). However, with respect to offshore wind turbines, allowable deformation of the foundation is strict, making the deformation a critical concern in the design [5] .
Historically, each type of the aforementioned offshore foundations was designed and constructed to endure certain hydrodynamics (waves, currents, tides), potential submarine geo-hazards and soil conditions of the seabed, e.g., soft clays, stiff sands, carbonate sediments and layered soils [6] . It has been well recognized that the more rapidly an industry or engineering technology is developing, the wider would be the gap between engineering practices (represented in design guidelines) and theory advances.
This paper aims to systematically summarize the foundation instability and its failure mechanisms as well as the relevant theory advances for the prevailing foundation types in both shallow and deep water depths. It is expected for understanding the difficulty and impossibility to cover all of the offshore foundation types due to space limit of the paper. Typical foundations for fixed structures (including piles, spudcans and gravity bases) are detailed in sect. 2. Typical ones for floating structures (including suction caissons, and plate anchors, dynamically penetrating anchors) are detailed in sect. 3.
Instability of foundations for fixed structures 2.1 Pile foundations: Conventional piles and monopile
Piles are a typical deep foundation composed of long, columnar elements made of steel or reinforced concrete. Pile foundations are commonly used in situations where the bearing capacity of the surface soils is insufficient to resist the imparted loads. Two different types of piles, i.e. driven steel piles and grouted piles, are prevalent at present. Driven piles are prefabricated off-site and much time can be saved for in-site installation, which makes it preferable in offshore applications. Offshore piles are traditionally applied for supporting offshore platforms in relatively shallow water. Recently the large-diameter monopile is often used as the foundation of offshore wind turbines. The cost of transportation and installation of offshore piles is high and mainly depends on the design of piles. Hence, the precise evaluation of the pile response under severe offshore loading conditions caused by wave, current and wind are urgently needed. The axial and lateral pile responses will be detailed in this section.
Axial bearing capacity: progressive failure of long piles
The ultimate axial capacity of piles subjected to compression is composed of the shaft friction capacity and the end bearing capacity. According to the relative contribution from the two parts, vertically loaded piles are classified as end-bearing piles and friction piles. The unit shaft friction and unit end bearing can be evaluated from various formulations for both cohesive and cohesionless soils [7, 8] . Under non-extreme conditions, the axial pile displacements are important for serviceability requirements, and can be commonly evaluated using a load transfer approach [9] . The load transfer curves in clay reach the peak shear stresses at a displacement of 1 percent of the pile diameter and decay beyond the peak by up to 30 percent due to strain softening. Progressive failure of long, compressible piles could occur due to the strain-softening of the load transfer response along the pile shaft. For a long and compressible pile, significant difference of pile displacements between the head of the pile and the toe of the pile would exist and thus the peak shaft resistance can't be mobilized simultaneously along the whole pile, resulting in a smaller capacity comparing with that of the rigid pile [10] . A 'critical' pile length should exist beyond which the actual axial capacity would not be dependent on the pile length, due to the progressive failure of long piles.
For pile groups which are widely used in engineering practice, the bearing capacity of each single pile is reduced due to interaction effects. More work on the pile group effect can refer to ref. [11] .
Lateral pile response
(1) Failure mechanisms of a long flexible pile While evaluating the response of a laterally loaded pile, piles are usually categorized into long/flexible piles and short/rigid piles depending on the failure mechanisms. According to Poulos and Hull [12] , piles having a length of L c /3<L<L c are proposed as the transition range from flexible to rigid pile, in which L c represents the critical pile length beyond which any further increase in length doesn't affect the pile head response. Figure 1 illustrates the lateral failure mechanism for long piles. In Figure 1 , D denotes the pile diameter and e denotes the load eccentricity. For flexible piles, pile deflections and bending moments induced by the lateral loading are confined to the upper part of the pile and the pile embedment depth has insignificant effect on the pile response. It would be wasteful and pointless to adopt a pile embedment that is much larger than the critical pile length. The yield moment of the pile may be reached before full mobilization of the ultimate soil resistance.
While designing piles for resisting lateral and moment loading, the failure criterion is often the tolerable deflection of the piles rather than the ultimate lateral capacity. Therefore, the load-deflection behavior of laterally loaded piles has attracted much attention. For long piles, Hetenyi [13] derived the following linear solutions for the pile deflection u and rotation  at the loading position of the laterally loaded piles based on subgrade reaction theory, which ide- alize the laterally loaded pile as an elastic beam transversely restrained by uniform, linear springs distributed along the pile length:
in which H denotes the horizontal loading, M denotes the moment applied to pile at ground level, k denotes the coefficient of subgrade reaction. The critical pile length here is expressed as
in which E p denotes the elastic modulus and I p denotes the second moment of area of a pile. From the simple idealization of subgrade reaction theory, several linear solutions for the load-deflection behavior of laterally loaded piles in the uniform soil and Gibson soil have been proposed based on the integral equation method [14] or the finite element analyses [15] . These solutions were proved to be in reasonable agreement. Soils exhibit nonlinear stress-strain behavior even at very small strains [16] . The degradation of the soil stiffness with increasing soil displacement can be captured by idealizing the soil as a series of independent springs distributed along the pile length, with each spring describing the nonlinear relationship between the lateral soil resistance p, and the lateral deflection of the pile y. This is known as p-y method. Reese et al. [17] derived p-y curves in sand based on the full-scale tests at Mustang Island by adopting wedge failure mechanism at shallow depths and soil flow mechanism at deep depths to evaluate the ultimate lateral resistance p u (see Figure 1 ). The gradient with depth of the initial stiffness of the p-y curves k ini is determined according to the relative density/internal friction angle for the sands. The combined analysis resulted in semi-empirical p-y curves which consisted of four discrete parts assembled into a piecewise curve. Based on the piecewise p-y curves proposed by Reese et al. [17] and a relatively large database of laterally loaded pile tests, O'Neill and Murchison [18] suggested a modified p-y curve in sand:
in which A is a coefficient for adjusting the value of p u to guarantee a satisfactory agreement with the full-scale tests at Mustang Island. The hyperbolic tangent p-y curves in eq.
(1) are currently incorporated into the design regulations [5, 9] . The p-y curves in eq. (1) 
in which v0
  is the in-situ vertical effective stress of the soil. The increase of the lateral soil resistance expressed with eq. (2) is rather gradual compared with the hyperbolic tangent relationship in eq. (1). Eq. (2) aims to cover the range of pile diameters from approximately 0.5 m to 5.0 m whilst the validity of eq. (2) was only confirmed by several field tests with pile diameters around 0.6 m.
(2) Failure mechanisms of a rigid monopile: "toe-kick" phenomenon Short piles rotate as a whole and develop a "toe-kick" phenomenon under the lateral and moment loading (see Figure 2 (a) [20] ). The failure mechanism of a short pile is significantly different from that of a long pile (see Figure 1) , which forms the basis of the method in the current design regulations. The recommended p-y curves in sand in the current design regulations (eq. (1)) are developed based on the limited in-site tests dataset consisting of flexible piles with diameters smaller than 1.22 m. In contrast, typical offshore monopile foundations behave rigidly due to their large bending stiffness and small slenderness ratio L/D [21] . The methods in the existing standards (eq. (1)) cannot be applied to the monopile foundations. The current p-y method should be calibrated for a short pile [22] . Figure 2 (b) illustrates the mobilized soil resistance components of a laterally loaded short pile. Significant base shear and axial resistance are mobilized at the pile tip comparing with the flexible piles. Vertical side resistances emerge around the short pile shaft due to the relatively large horizontal displacement of the pile tip and rotation of the pile. Numerical investigations by Bekken [23] and Byrne et al. [24] showed that the contributions due to the horizontal pile tip displacement and rotation of the pile had significant effects on the lateral response of a short pile. To take the tip resistance and side resistance into account, three types of springs relating the resistance could be incorporated into the current p-y method, i.e. a base shear lateral spring associated with the lateral shear force at the pile tip, a base rotational spring associated with the moment produced by normal pressures on the pile base, and the rotational springs that distributed along the pile length associated with the moment produced by the vertical shear stresses on the shaft of the pile. The relationships for describing the behavior of base springs and rotational springs still need to be further examined. Some beneficial lessons may be learned from the analyses of laterally loaded rigid cassion foundations due to their similar resisting mechanisms [25] .
Flow-pile-soil interaction effects
The instability process of offshore piles involves the interaction between the flow, pile and soils (see Figure 3) . The safety of offshore piles in sand could be significantly compromised by waves/currents-induced scour due to the relatively large pile diameter and small slenderness ratio [26] . Understanding the transient and localized turbulence around the structures, especially in the shear flows [27] , would be of benefit to the reveal of corresponding fluid-structure interaction mechanisms [28] . Scour reduces the pile embedment depth and increases the load eccentricity, inducing much larger deformations of the pile and changing the profiles of the lateral soil resistance.
Scour effects for laterally loaded piles in sand have not been well reflected in existing p-y method [9] . In an analytical study [29] , general scour effects were incorporated by updating the parameters at a given depth to account for the over-consolidation induced by removal of a scour depth of sand. Lin et al. [30] further modified the lateral resistance due to changes in the shallow wedge-type failure mechanism to consider the effects of the local scour. Results indicated that the local scour hole would result in much higher lateral soil resistance for a given depth than for the general scour case, i.e. complete removal of the soil surface layer. Recently, a series of centrifuge tests were conducted by Qi [31] to investigate the scour effects on p-y curves. A practical approach to incorporate effects of scour on the p-y curves was proposed by adopting an effective soil depth (z e ) in the determination of p-y curves. The effective soil depth was expressed by e 1.5 for local-scour, tanh 0 for general-scour,
where the effective soil depth z e is a weighted-average of the soil depth relative to the original mudline z and the soil depth below the current scour base z′ (=zS, S is the scour depth), f is an empirical parameter indicating the transition rate for the effective soil depth from z e = z′ at the current mudline to z e ≈z as the soil depth increases. The recommended value of f=1.5 for local-scour conditions was based on the tests with 30° slope angle of the scour hole. For the cases with arbitrary slope angles, further investigations are needed.
Another important issue that should be considered for evaluating the behavior of the laterally loaded offshore piles is the effects of excess pore-pressure. For the soils around a pile foundation, excess pore-pressure could be induced by the action of waves [32] or the cyclic movement of piles [33] . The soil resistance around the pile might be changed significantly by the excess pore-pressure (see Figure 3 ). At present, no guidelines are available to account for the effects of wave-induced and cyclic pile movement-induced pore-pressure on the lateral pile response. A simplified p-multiplier method (the multiplier is dependent on the relative density of soils, and normally less than 1.0) was applied to the common p-y curves to evaluate the effects of seismic-induced liquefaction on the lateral pile response [34] . Such analysis method for the seismic loading can be employed for reference in the conditions of ocean wave loading and cyclic pile movement.
In addition, accumulation of foundation deformation induced by the cyclic loading would bring more challenges for deformation-sensitive structures, e.g. the fixed bases (conventional piles or monopiles) for wind turbines. As for piled foundations, the cyclic p-y curves in the current codes cannot consider the changes in the initial stiffness of the p-y curves induced by cyclic loading, with only the ultimate degraded resistance considered. Meanwhile, the limited number of load cycles (~100 load cycles) is another caveat of the cyclic p-y curves in the current codes, which has drawn much attention [21, 35] .
Spudcans for jack-up platforms
A typical modern jack-up consists of a buoyant triangular hull, three independent truss-work legs and inverted conical spudcan foundations [36] . A jack-up is self-installed by lifting the hull from the water and pushing the large spudcans into the seabed. On location, the spudcan foundations are preloaded by pumping sea-water into ballast tanks in the hull. This preloading process tests the foundation to ensure enough bearing capacity during extreme storm events. The installation and preloading process is complex as the spudcan foundations penetrate into the seabed. Various failure mechanisms have been revealed for different soil conditions, mainly including bearing capacity failure in uniform soils, punch-through failure in layered soils and lateral squeezing failure on soft clays. During storms, the foundations are subjected to vertical loads, overturning moments as well as horizontal shearing loads. The capacity of the spudcans under combined loading needs to be carefully assessed. The problems of existing footprint, extraction of spudcans and skirted spudcan are not included in this review and can be found in recent publications [37] [38] [39] [40] [41] .
Yield envelope for spudcan under combined loading
The offshore environmental loading condition on jack-up platforms often leads to large vertical (V), horizontal (H) and moment (M) loads being applied to the spudcan foundations. ISO [42] provided a yield interaction surface (envelope) to define the limiting combinations of the spudcan moment, vertical and horizontal reactions.
The yield envelope is a "rugby ball" shaped surface that is elliptical in cross sections on planes at constant vertical load (V), and parabolic on any section including the V-axis (see Figure 4 ). This shape has been verified by the laboratory tests of spudcan foundations on clay by Martin and Houlsby [43] . This yield surface only accounts for the contribution from the underside of the spudcan while ignores the backflow at large embedment depths. Zhang et al. [44] conducted centrifuge tests to characterize the yield surface in VHM space at various embedment depths and proposed a yield surface formulation as:
where V 0 represents the compressive vertical bearing capacity of the soil beneath the spudcan, h 0 and m 0 define the peak ratios of H/V 0 and M/DV 0 in the VH (M=0) and VM (H=0) planes, e defines the eccentricity of the cross section in the HM plane, and  is the tensile capacity ratio V t /V 0 , V t is the tensile capacity provided by the soil cohesive strength, D is the diameter of the spudcan. The foundation behavior is considered elastic within the yield surface, which expands or contracts upon yielding according to a hardening law. The incremental plastic displacements at yield are described by a plastic potential. The size of the yield envelope is directly related to the vertical bearing capacity-plastic penetration curve. Figure 4 schematically illustrates the expansion of the VHM yield envelope with the penetration of the spudcan foundation [45] Provided the preload capacity of the jack-up is appropriate, the majority of the foundation load-deflection behaviour during a storm should be elastic (within the yield surface). 
Penetration of spudcans (1) Bearing capacity failure in uniform soil
Penetration of spudcan in clay is described by a loadpenetration curve in ISO [42] . The bearing capacity of the foundation at different embedment depths is calculated using classical bearing capacity theory for wished-in-place footings at the corresponding depths. The gross vertical bearing capacity (Q V ) is calculated as:
where s u is the design undrained shear strength of the clay, s c and d c are the shape factor and depth factor [46] ,  0 p is effective overburden pressure, A s is the equivalent crosssectional area of the spudcan, N c is the bearing capacity factor. The recommended bearing capacity factor N c is based on solutions for strip footing on homogeneous clay. An alternative bearing capacity factor accounting for the increasing undrained shear strength with depth was developed by Houlsby and Martin [47] , which is also provided in Appendix E of ISO [42] .
Hossain and Randolph [48] proposed a new design approach based on the observations on the failure mechanisms of spudcan penetration. As the spudcan penetration continues the soil failure transfers from a general shear failure at shallow depth to a full-localized failure at deep embedment with the soils beneath the spudcan flowing around until on the top of the foundation [49] . This approach is further extended to account for strain-rate dependency and strain softening [50] . These methods were assessed by comparing the predictions with the field measurements at 16 sites in the Gulf of Mexico [51, 52] . The comparison indicates that the method by Houlsby and Martin [47] provides the lower bound load-penetration predictions. The Hossian et al. [49] method provides an upper bound load-penetration prediction. The ISO method [42] with Skempton factors provides reasonable predictions of the average penetration under a given load.
(2) Punch-through failure in layered soil When a strong layer overlies a weak layer of soil, punchthrough failure is of particular concern. A small additional penetration of spudcan can be associated with a significant reduction in bearing capacity, which leads to uncontrolled, rapid leg penetration (as shown in Figure 5 ). This process is particularly hazardous during installation of jack-up platforms.
The ISO [42] recommended using either a load spread approach or the punching shear mechanism to calculate the peak penetration resistance (q peak ) for a foundation on sand overlying clay. Both methods in the guideline were found to underpredict the peak resistance [53] . The reason lies in that the increasing bearing capacity of the foundation induced by a soil plug trapped below the spudcan is not accounted for in the guideline. A new calculation method accounting for the new failure mechanism was first proposed by Lee et al. [54] and was further improved by Hu et al. [55] . The peak resistance is the sum of the frictional resistance in sand and the bearing capacity of the underlying clay (the first term in eq. (6)), as well as the weight of the trapped sand frustrum (the second term in eq. (6) 
where s um is the undrained shear strength at sand-clay interface, q 0 is the surcharge,  ′ is the effective unit weight of soil, H s is the sand thickness, D is the footing diameter,  is dilation angle,
* is reduced friction angle due to the non-associated flow rule. The detailed interpretation of each parameter can be referred to Hu et al. [55] . More recent work on punch-through failure in sand-over-clay can be found in Qiu and Grabe [56] and Dean [57] .
In regions of offshore South-East Asia problematic soil profiles with stiff stronger clay overlying weaker soft clay are increasingly encountered. ISO [42] recommended a punching shear method to predict the peak load of a spudcan under this soil condition. Edwards and Potts [58] proposed that the peak resistance was the sum of the bearing capacity of the underlying clay and a fraction of the capacity of the upper clay. It is found these predictions are significantly affected by ignoring the soil plug underneath the spudcan during penetration. Hossain and Randolph [48] proposed a new method based on centrifuge tests and large deformation finite element analysis with the peak resistance being a function of: (1) the strength ratio between lower and upper soil layers, s ubs /s ut ; (2) the thickness of the upper layer relative to the spudcan diameter, t/D; (3) the strength gradient of the lower layer, k; (4) the relative roughness of the spudcan base. The formula of the peak resistance for a smooth spudcan in stiff-over-soft clay is written as: 
(3) Lateral squeezing of soft clay For a soft-over-strong clay system the failure mechanism of lateral squeezing of soft clay can occur. ISO [42] recommended the gross ultimate vertical bearing capacity proposed by Brown and Meyerhof [59] and Vesic [60] for a spudcan subjected to squeezing. The lower bound vertical capacity is given by general failure in the soft clay layer. The upper bound capacity is determined by the ultimate bearing capacity of the underlying strong soil layer. More work on the soil squeezing in multiple soil layers can be found in Merifield et al. [61] and Romos da Silva et al. [62] .
Gravity bases
Gravity base is a typical shallow foundation usually constructed of reinforced concrete, often with tanks or cells which can be used to control the buoyancy of the finished gravity base. After construction in a dock, a gravity base is towed to its intended location and sunk to rest on the prepared surface of seabed. The tanks are often ballasted with infill materials (e.g. sand, iron ore and rock) to increase the static weight of the gravity base and maintain its stability. If soft surficial deposits exist and incur challenges to withstanding the exerted loads, peripheral and probably internal skirts would be provided to penetrate into the seabed, confining the internal soil to displace rigidly and transmitting the foundation loads into deeper soil.
Historically, gravity bases have been widely employed in offshore oil platform and subsea installations (e.g. manifolds) since the first gravity-based platform Ekofisk I in 1973, and recently used for offshore wind turbines in water depths larger than 20 m [63] . A gravity base foundation holds in place and withstands the environmental loading by its weight, implying that the vertical static load is considerable and plays a key role in assessing its stability. Classical solutions for the vertical bearing capacity of shallow foundations are based on the original studies of a strip punch for plane-strain conditions done by Prandtl [64] and Terzaghi [65] . The interface between base bottom and the underlying soil was assumed to be smooth in Prandtl [64] and rough in Terzaghi [65] , which makes the calculated bearing capacity of the former slightly smaller than the latter.
Interaction diagram and failure mechanisms for gravity base: In reality, gravity bases usually undergo combined vertical (V), moment (M), horizontal (H) and torsional (T) loading (i.e. fully three-dimensional loading), rather than purely vertical loading. Especially when utilized as foundations for offshore wind turbines, the vertical load resulted from the weight of turbines is relatively low compared to the significant horizontal and moment loads. The ratio of the moment to horizontal loading is generally an indication to determine the tendency between sliding and overturning failure. For a gravity base shallowly embedded in surficial sandy soil, the shear resistance between the base bottom and underlying soil is limited, making sliding resistance a critical issue in design. Conventional design approaches in API [9] adopt the modification factors to account for the interaction of horizontal and moment loading with vertical loading [66, 67] . However, the effects of load inclination (i.e. VH loading) and load eccentricity (i.e. VM loading) are separately considered and conservatism arises for practical load combinations (i.e. VHM loading or general loading) from adopting the linear superposition of separate modifications for load inclination and eccentricity to represent the general loading [68] . Another conservative assumption of classical bearing capacity theory while applied to offshore design is that the approach neglects tensile capacity beneath the foundation, which is often significant for undrained conditions (clayey seabed or sandy seabed with the presence of skirts).
An alternative approach based on interaction diagrams or failure envelopes in VHM loading space [69] is become increasingly accepted to explicitly consider the interaction of these loading components. The failure envelope is a boundary to identify whether the foundation is safe under a certain combination of loads. The key advantages of the failure envelope approach over the conventional bearing capacity theory are explicit consideration of the independent loading components and a graphical interpretation of the factor of safety associated with different load paths [6] .
Failure envelops for shallow foundations of various geometries (e.g. strip, circular and rectangular) have been derived using plasticity analysis and finite element analyses [68, [70] [71] [72] [73] . In these studies unlimited tensile strength was assumed for the interface (i.e. full-tension interface) between the base bottom and the soil, considering the fact that transient suction will prevent separation of the base bottom from the underlying soil for skirted foundations.
Different forms of upper-bound mechanisms composed of "scoop" mechanism and "wedge" mechanism were suggested. As shown in Figure 6 , the Brinch Hansen mechanism [66] and Bransby-Randolph mechanism [70] are two representative plane strain mechanisms for strip loading under combined loading. In Figure 6 (b),  and  represent the wedge angles and D is the width of the footing. A significant visual distinction between the two mechanisms is that the rotation centre of the "scoop" mechanism in the Bransby-Randolph mechanism locates above the soil surface while the rotation centre for the foundation and attached soil in the Brinch Hansen mechanism is below the soil surface. For the case of M=0, both mechanisms can degenerate to the asymmetric wedge of Green [74] . For the case with non-zero moment, the Brinch Hansen mechanism is optimal for high vertical loads, whereas Bransby-Randolph mechanism is optimal for low vertical loads [71] . For the case of V=0, reducing the horizontal loading and in- creasing the moment loading would bring the rotation point above the foundation base, making the Bransby-Randolph mechanism prior to the Brinch Hansen mechanism [75] . This variation of mechanism with relative intensities of the horizontal and moment loading can be easily comprehended by comparing the two particular cases with purely horizontal loading (V=M=0, sliding failure) and purely moment loading (V=H=0, overturning failure).
The locus of the failure envelope in the H-M plane is found to be non-symmetric with the maximum moment sustained with a positive horizontal load [70, 72] . This eccentricity of yield locus in H-M plane implies a strong nonlinear interaction between the loading components. Taiebat and Carter [72] found that the position of the maximum moment in H-M plane shifts towards the moment axis with increasing vertical loading. In practical engineering, foundations could be shallowly embedded in non-uniform soils and the corresponding failure envelopes were presented by Bransby and Randolph [76] for strip foundations and Vulpe et al. [73] for circular foundations, to account for the embedment ratio and soil strength heterogeneity. The thin surficial crust which arises in many deep-water locations could affect the failure envelope much. The effect of crust thickness has recently been taken into consideration by Feng et al. [77] . Feng et al. [78] also extended the failure envelope in VHM loading space to VHMT loading space to account for the effects of torsional loading.
The interface tensile strength between the base bottom and the soil is a key issue while deriving the failure envelope. Its effect has been evaluated by comparison between the "no-tension" case and "full-tension" case [75] . The failure envelope for "no-tension" case is attached to one corner of the larger failure envelope for "full-tension" case. The former is more symmetrical than the latter.
For drained conditions, the term yield envelope rather than failure envelope is commonly adopted. The general form of the yield envelope for a typical shallow foundation is a parabolic ellipsoid [79] , similar to that for spudcans (see sect. 2.2.1). The yield envelope expands due to the occurrence of work hardening when the footing penetrates into the soil. More information on the detailed description of the yield envelope for shallow foundations and its expansion (hardening law) could be found in Houlsby and Cassidy [80] and Govoni et al. [81] .
Scour effect: Loss of contact between base bottom and soil can occur due to scour induced by waves and currents. For the gravity base, scour is expected to be unacceptable due to their high reliance on the surficial soil, although this can be mitigated with skirts. Scour (up to ~3 m deep) around a gravity base has been reported by several researchers [82, 83] . It is essential to evaluate the possible development of scour as an important input parameter for the skirt design [84] .
Bearing capacity of foundations for floating structures

Suction caissons
A suction caisson, also referred to as "suction anchor", "skirt foundation", "suction pile" or 'bucket foundation", is usually a large diameter thin-walled cylindrical steel structure, which can visually be described as an upturned bucket (open-ended at the bottom and closed at the top installed with a vent valve) embedded in the marine sediment. The concept of "suction" technology was developed where gravity loading is not sufficient for pressing foundation skirts into the seabed. The diameters for suction caissons are typically in the range of 3-8 m. The length-to-diameter ratios of suction caissons range from 1.0 to 6.0, compared to typical ratios of 30-60 for traditional piles.
Since firstly installed for the foundation of the Floating Storage and Offloading unit (FSO) at the Gorm field in the North Sea in 1981, suction caissons have been increasingly used as anchors for floating structures in the offshore oil and gas industry, and have recently been proposed for use in conjunction with offshore wind turbines, etc. In South China Sea, suction caissons were used for the foundations of 
Suction caisson installation: internal soil plug failure
During the installation process, an initial tip penetration is achieved under its submerged weight to provide a seal between the caisson and the underlying soil. Then a differential pressure ("suction") is generated by pumping water inside to bring the suction caisson further penetrating into the seabed (see Figure 7) . After installation, the caisson's interior is sealed off and the vertical loading can create an internal excessive under-pressure ("suction"), which in turn mobilizes anti-tension bearing capacity. Several ring stiffeners are usually installed along the inner side of the caisson, which may effectively prevent the structural buckling during installation and due to the mooring loads and lateral soil resistance during operation.
The internal soil plug failure is the main concern for the installation of suction caissons. If a critical under-pressure is exceeded, soil heave would be induced and the caisson could not be penetrated deeper to the target depth. The critical under-pressure u a a u  is the maximum applied pressure without causing large soil heave within the caisson, which can be expressed as: 
where A i is the internal cross-sectional area of the caisson, s u-tip is the undrained shear strength at skirt tip level, A si is the internal skirt wall surface area,  is the adhesion or interfacial friction factor, u s is the average shear strength over penetration depth. The bearing capacity factor N c varies from 6.2 to 9.0 with increasing the depth/diameter ratio. For a successful installation, the value of critical underpressure to induce internal soil plug failure (u a ) should be larger than the necessary under-pressure (u req ) to penetrate the caisson into the soil:
in which A s is the sum of the internal and external skirt-wall surface area, A tip is the skirt tip area, W′ is the submerged weight of the suction caisson [45] . Besides the soil properties (e.g. effective unit weight, shear strength, and soil heterogeneity) and interfacial frictions, the aspect ratio (length-to-diameter ratio L/D) is a key influential factor for the internal soil plug failure. For a typical normally consolidated clayey soil in deep waters, the internal soil plug failure is easier to occur for small aspect ratios, especially during the early installation stage. Suction induced caisson-soil interaction during installation is more complex than aforementioned analyses. In sands under drained conditions, the exterior downward seepage increases the local effective stresses; by contrast, the interior upward seepage reduces the effective stresses of the sands inside the caisson, which may result in the seepage failures (quicksand, or piping). In clays, the caisson installation is generally under undrained conditions: the pressures within the caisson decrease sharply and those outside the caisson are usually little affected. The soil flowing into the caisson from its tip may not only fully around ring stiffeners, but also trends to extrude as a self-supporting inner plug [86] .
If layered soils are encountered, especially ones containing dense sands or stiff clays, the penetration would be more difficult than that with homogeneous soils. In the engineering practice, the internal soil plug may be mitigated by reduction of the inner soil grains with the dredging-pump technique [87] .
Vertical uplift capacity under undrained and drained conditions
The suction caisson technology functions very well in a seabed with soft clays or other low strength sediments, meanwhile it has also been employed in a sandy seabed. The soil drainage has much effect on the uplift bearing capacity of suction caissons. Whether perfectly/fully drained, partially drained or undrained behavior occurs is relative to the combined effects of bucket geometry, pull-out rate, soil permeability and soil strength [88] .
Several semi-empirical failure models have been proposed for the vertical pullout of the suction caisson, e.g. model-A (undrained): reverse end bearing with passive suction, model-B (fully drained): only caisson pullout without passive suction, and model-C: caisson and internal-plug pullout without passive suction, etc. [89] . That is, the vertical uplift capacity sketchily comprises the submerged weight of the caisson, and (or) internal and/or external frictional resistance along the caisson shaft, and (or) reverse end bearing at the base of the caisson.
Undrained pullout capacity: During undrained (fully or partially) pullout in a silty or clayey seabed with low permeability under either monotonic or cyclic loading, negative pore-water pressures (passive suction) can be developed within the caisson. Meanwhile, the negative pressures may also result in the soil plug being retained within the caisson during the pullout process. As such, the undrained uplift capacity is generally larger than the drained capacity. For a fully undrained condition, the pullout capacity (V ult ) can be evaluated with the aforementioned semi-empirical failure model-A, i.e. where A se is the external skirt wall surface area, A e is the external cross-section area,  e is the external adhesion or steel-soil interfacial friction factor, u( ) t s is the average undrained soil shear strength over penetration depth at time t after installation, N cR is the reverse end bearing capacity factor (N cR is normally around 9.0 or less), which is dependent on the mobilization of sufficient passive suction. If the vent valve is opened, or a sustained load is applied, the value of N cR would be either not relevant or be reduced [45] . Drained pullout capacity: Drain tension/pullout capacity is particularly vital for the design of bucket foundations in a sandy seabed. For sandy soils in shallow waters, the aspect ratios of the caisson structure (L/D) are usually less than those in clayey seabed. Larger aspect ratios are favorable in particular for higher drained pullout capacity. However the penetration resistance increases greatly with embedment depth and the required suction is limited by the potential seepage failure as mentioned in sect. 3.1.1.
The state of the art for the physical modeling of the behaviors of suction caissons in sands under vertical tensile loads was recently summarized [88] . Since 1990's, physical tests have been preferably employed for understanding the drained responses and tensile capacity of the caisson in sands, including centrifuge tests, field tests or trials, smallscale tests (using silicon oil instead of water as the pore liquid phase) and scaling effect study. It was shown that the tensile capacity of the model bucket was strongly increased with the increase of pullout rate (0.03-0.56 times of the skirt length per second) as well as the decrease of sand permeability.
In addition to the aforementioned applications for floating structures in deep waters, the bucket foundations (monopod or multipod) have also been employed for fixed jacket structures early 1990's and recently for offshore wind turbines. Compared with a traditional monopile solution (see sect. 2.1), the bucket foundation design may reduce the steel weight by approximately half, and the installation is much easier, which does not require heavy installation equipment. Due to the relative light structure, the jacket structure with bucket foundations for the wind turbines is more likely to suffer a two-way (both tension and compression) cyclic loading in the offshore environments.
An adequate numerical modeling of the sand behavior around the suction caisson is still challenging due to the complex stress situation and the effects of dilatancy and densification on the effective stresses and the coupled pore pressure responses. To this aim, a coupled pore fluid diffusion and effective stress analysis was recently made by Thieken et al. [88] , which is capable of describing the partly drained load-bearing behavior as well as the quantification of the tensile resistance. It was also indicated that a high pull-out rate leads to a large increase of the tensile capacity.
The mobilization of suction pressures requires a large heave of the bucket, which might be inadmissible with respect to serviceability.
During the mobilization of the pullout capacity, the sand around the suction caissons can be liquefied due to suctioninduced seepage forces. Rheologically, the shear strength and suction contributing to caisson capacity are dependent on shear strain rate associate with the pullout process. A Bingham plastic flow model was proposed to describe the shear stresses as a function of shear strain rate [90] , which may provide an approach for estimation of the pullout capacity values corresponding to large displacement levels. It was assumed that ignoring liquefaction and sand flow could yield an overestimate of pullout capacity as a function of the induced deformation.
Bearing capacity under quasi-horizontal and inclined loading
Suction caissons were initially used as anchors for catenary moorings, where the chain angle at the padeye (located at the caisson side) is typically 10°-20° and the angle at the seabed surface approaches zero. With increasing water depth, the weight of a catenary mooring line becomes a limiting factor, which has to be overcome by using light synthetic rope and taut (or semi-taut) mooring. The taut mooring line is capable of resisting both horizontal and vertical loads, i.e. inclined loads with an angle of 30°-50° to the horizontal.
Horizontal bearing capacity of a suction caisson is maximized by positioning the padeye with an optimal position (downward) around 0.65-0.70 of the embedded caisson length, such that the caisson translates at failure without rotating [85] . The failure modes of suction caissons loaded horizontally and inclined at the seabed are similar to those for laterally loaded piles, which can be referenced in sect.
2.1.2.
The inclined bearing capacity of a suction caisson depends greatly on whether a crack develops along the trailing edge of the caisson. As such, positioning the padeye was suggested just below the optional depth to ensure backward rotation at failure, thereby reducing the potential for a crack to open on the trailing edge of the caissons [91] .
During the failure process under inclined loads, significant vertical movement may occur. The maximum horizontal and the vertical components of the load at failure will be less than the respective capacities in the two extreme loading directions [92] . For the general inclined loading condition, the interaction between vertical and horizontal loading can be modeled by developing a special failure envelope in the VH loading plane, which is similar with the Spudcan detailed in sect. 2.2.
Plate anchors
Besides the aforementioned suction anchors, plate anchors are alternative solution for deep water mooring systems. Plate anchors mainly comprise of a broad steel plate (fluke), a rigid shank and anchor chains, which are more attractive economically for the ease of fabrication and emplacement than suction anchors.
Typical plate anchors include drag embedment anchor (DEA), vertically loaded anchor (VLA) and suction embedded plate anchor (SEPLA). DEAs and VLAs are penetrated into the seabed with the drag of anchor handling vessels, while a SEPLA is positioned into the seabed by suction caisson (Figure 8 ). VLAs are installed like a traditional fixed fluke anchor (DEA) by applying a horizontal load at the mudline to achieve embedment. Due to improved geometry design, VLAs can be installed with deeper embedment than DEAs, to depths of up to 7-10 times of the fluke length (the typical fluke length of a VLA is up to 6 m). Till now, DEAs have been widely used in the catenary mooring systems to resist quasi-horizontal loads [93] . In China, the first deepwater drilling platform (CNOOC 981) has been equipped with DEAs, in addition to the dynamic positioning system. SEPLAs and VLAs are preferably employed to resist loads with large vertical components for taut or semitaut mooring.
Kinematic trajectory of drag anchors and embedment depth loss of SEPLAs
The stability of floating facilities is not as sensitive as the fixed platforms to the foundation displacement or deformation. As such, the bearing capacity is the dominant factor in the design for deepwater foundations rather than the allowable displacement.
The bearing capacity of plate anchors largely depends on the final embedment depth. Prediction of the kinematic trajectory and the final embedment depth is the main concern for DEAs and VLAs [94] . As the anchor is dragged into the soil from the seabed surface, the chain continuously cuts through the neighboring soil and finally forms an inverse-catenary shape due to the soil resistance. In turn, the development of the inverse-catenary shape increases the loading angle at the padeye, which makes the plate rotate to the horizontal direction and eventually prevents further embedding into the seabed [45, 95] . By assuming the anchor moves approximately parallel to the plate, the limit equilibrium analysis in combined with the inverse-catenary chain solutions was performed to obtain the final embedment depth [94] . The kinematic incremental approach has currently been used for the trajectory simulation, in which the continuous embedment process is modelled with the development of yield envelops.
In contrast to the uncertainty in the embedment depth of a DEA, a SEPLA is embedded into a target depth with the assistance of a suction caisson, with the plate being in a vertical orientation after the initial penetration. To effectively resist the loads, the anchor plate must be rotated from the previous vertical orientation to an inclined angle, i.e. the anchor plate is approximately normal to the mooring line. This process is known as "keying", which usually causes the loss of the embedment depth (typical in the range of 0.5-1.5 fluke width) [6] . As the seabed sediment, e.g. the normally consolidated clay, typically exhibits lower shear strength in shallower depth, the embedment depth loss would essentially reduce the bearing capacity.
During the keying process, the plate anchor is subjected to a combination of shear, normal and moment loading. A plasticity model based on the failure envelop was used to assess the keying of plate anchors [96] . It was found that during the initial keying, the shear and moments dominate the rotation of the plate anchor. As the keying continues, the shear component decreases and the normal component increases monotonically, while the moment increases initially and then decreases. Influential factors for the embedment loss were investigated using large deformation finite element analysis validated with the experimental data [97] . Based on the parametric analyses, the following empirical relationship was established with non-dimensional forms for predicting the loss of embedment: 
where  depth is the embedment loss, e e is the load eccentricity (perpendicular distance of the padeye from the anchor plate), t e is the thickness of the anchor plate, s u0 is the local soil strength at the initial embedment depth of the anchor, a   is the submerged unit weight of the steel anchor, the five empirical coefficients are fitted as a e =0.144, b e =5, p e =0.2, q e =1.15, r e =8. A keying flap has been incorporated in current design of a SEPLA, aiming to reduce the embedment loss. It was noticed that, unlike expected, the flap did not rotate during the keying process but rotated at the end of the keying. The shearing force was balanced by the soil bearing pressure at the back of the flap during the keying process [98] . However, the presence of the flap was beneficial to reduce the loss of embedment due to padeye offset to the center of the whole anchor [99] . In general, the padeye offset has a positive effect on improving the bearing capacity. But with increasing in the padeye offset, the anchor would rotate beyond the normal to the mooring chain, further reducing the bearing capacity. Therefore, in the design of SEPLAs, the two compensating effects of padeye offset on the capacity should be well balanced.
Quasi-static pullout capacity
The quasi-static pullout capacity of a plate anchor usually increases with embedment depth and approached a constant value. This transition occurred at a critical ratio of the embedment depth to the width of the plate anchor, where a "localized flow-around" mechanism occurs under the deeply embedded conditions [100] . For a shallowly embedded anchor, the shear plane may extend from the anchor edge upward to the seabed surface, i.e. a general failure occurs [101] .
The accurate prediction of holding capacity for a DEA or a SEPLA depends on the ability to effectively simulate the installation process. The whole holding capacity of such anchoring foundation (chain tension at the mudline) is comprises of both the ultimate tension in the anchor line at the padeye (T a ) and the distributed friction forces along embedded anchor line (arising from the submerged self-weight of the chain, whose effect is significant at shallow embedment depths). For a VLA and a SEPLA, the loading direction is approximately normal to the anchor plate. As such, the ultimate tension at padeye (T a ) can be evaluated with the traditional bearing capacity theory [102] :
where A f is the fluke bearing area, s u is the undrained shear strength at the fluke level. The bearing capacity factor N c here is typically taken in the range of 12-13, for the deeply embedment "localized flow around" failure mechanism.
The value of N c is influenced by the embedment depth ratio, the strength and stiffness of the soil, and the roughness of the plate anchor [101] . When the plate anchor is used for permanent mooring, its surrounding soil will be under fully or partially drained conditions. The long-term (drained) performance of the plate anchor against sustained uplifts would be significant. The undrained pullout capacity comprises three components, i.e. the net ultimate capacity, the effective self-weight and the suction force (typically around 20%-74% of the total capacity) [100, 103] . The suction around the plate anchor prevents the soil separating from the plate during pullout, inducing a larger capacity than the breakaway situation. Under the long-term uplifts, the suction would gradually disappear with the dissipation of the pore pressure. Meanwhile, the anchor displacement can be accumulated during the consolidation process [104] [105] [106] . When the anchor displacement reaches a critical value, the consolidation underneath the anchor would be faster than above the anchor, resulting in the anchor breakaway from the soil. The sustained capacity of the pate anchor can be significantly lower than predicted with eq. (12) [107] .
Cyclic pullout capacity
Under ocean waves and current in the offshore fields, the hydrodynamic loads transmitted form the floating structures to the plate anchors through mooring lines always remain in tension. This implies that the plate anchors are subjected to one-way cyclic loading (without stress reversal). Compared to two-way cyclic loads, one-way cyclic loads cause less degradation both in the shear strength and stiffness of the soil. One-way cycling was previously considered to have limited negative/detrimental effect on the cyclic pullout capacity, the reduction of which could be compensated by increasing shear strength of the soil in front of the anchor due to the consolidation under the sustained loading. Nevertheless, recent experimental test results indicated that there exists a threshold of cyclic loading (fraction of the pullout capacity), beyond which the plate anchor may experience failure due to large displacement and stiffness degradation of the plate-soil interaction system [104, 108, 109] .
Current assessment of the cyclic pullout capacity of plate anchors was based on the steady limit equilibrium approach proposed for the cyclic response of gravity foundations [110] , in which the degradation in the soil bearing capacity was depicted using the cyclic triaxial and direct simple shear strength of the typical soil elements along the potential failure surface. Obviously, the semi-empirical approach could not take into account the effects of the pore pressure accumulation and the stiffness evolvement.
Accurate prediction of the cyclic pullout capacity for plate anchors with numerical simulations largely depends on the constitutive models, which is capable of efficiently describing the predominant behaviors of the soils under cyclic loading. At least two remarkable types of models have been developed for cyclic behaviors of soils. One type is the visco-elasticity models based on Masing's rule, which could capture the softening of the stress-strain but hardly consider the pore pressure generation and the accumulation of the plastic strain. The other type is the elasto-plasticity models, mainly including multi-surface (MS) models, and bounding surface (BS) models. The MS model contains infinite yield surfaces, which hardens in the stress space according to kinematic rules. In practice, the BS model can be considered as a special MS model, which contains a bounding and a yield surface. Both types of models can predict the hysteresis properties, the accumulated plastic strain and the evolvement of the stiffness of soils. The BS model was adopted to simulate the soil in the cyclic pullout analysis on the plate anchor [111] , in which the threshold for cyclic loading induced failure was identified numerically. Under one-way cyclic loading, if the cyclic loading component is beyond the threshold value, significant degradation of soil shear strength may be induced within several loading cycles.
Dynamically penetrating anchors
The cost of installing anchors increases exponentially as water depths increase, which has inspired the development of dynamically penetrating anchors that embed themselves into the seabed under free-fall and thus are less sensitive to increasing water depth compared to conventional concepts [112, 113] . Dynamically penetrating anchors or termed as Gravity-installed anchors are usually released from a height of 50-100 m above the seabed and reach velocities of 20-30 m/s at the seabed, eventually installed to the tip penetration of 1.5-3 times their length. The anchor is typically 10-17 m in length and 80-100 tons in weight. Due to different shapes, the dynamically penetrating anchor can be divided into torpedo anchor with four fins at the trailing edge (the initial use was at the Compos Basin), the deep penetration anchor (DPA) which has been installed in North Sea recently and OMNI-Max anchor.
During the penetrating process, the kinematic performance of the anchor will depend on the end bearing resistance, the shearing force and the inertial drag force. Due to the high penetration velocity, the strain rate effect at the soil-anchor interface is significant. When subjected to an inclined load transmitted by the mooring line, the anchor chain would slide through the soil and the orientation of the anchor would be adjusted. Challenges associated with dynamically penetrating anchors include prediction of the anchor embedment depth and the subsequent capacity.
Concluding remarks
The instability mechanisms and the relevant theoretical approaches for the prevailing foundation types in both shallow and deep water depths have been identified intensively and summarized systematically. Pile foundations, spudcans, gravity bases, suction caissons, plate anchors and dynamically penetrating anchors are detailed, respectively, indicating the failure mechanisms for offshore foundations are of wide diversity and some of them have not been well revealed.
With the offshore oil and gas exploitation moving into deep waters, the extreme environmental conditions will be encountered. The offshore foundations will be increasingly exposed to a large range of submarine geo-hazards, e.g. submarine slides, steep and rugged terrain at continental slopes, migrations of gases through the shallow stratum, even interactions of the seabed or subsea structures with internal solitary waves [114] . By contrast, in the nearshore wind farms in shallow waters, the hydrodynamics and aerodynamics on the wind turbine are equally prevailing on the structural and foundation responses.
The major challenges for offshore foundation instability are detailed as follows.
(1) Flow-structure-soil coupling processes Failure mechanisms under severe offshore environmental conditions are still great concerns. The primary loads on offshore structures are wind, waves, currents and tidal loads, which exert cyclic loading on not only seabed, but also foundations and platforms. The coupling or interaction between flows, structures and soils is one of the essential features for the dynamic responses of offshore foundations. As an indicator of the flow-structure-soil coupling effect, soil scour around submarine structures/foundations may wash away a large amounts of sediments and further reduce the bearing capacity significantly. As such, soil scour (general and local scour) should be taken into account when evaluating the foundation instability [31] . In the shallow waters, the waves and currents are always coexisting; the wave-induced soil liquefaction [115] would be coupled with the local scouring process, which further complicates the failure mechanism of foundations.
Similarity theory combining with small-scale tests have been adopted for analyzing the complex flow-structure-soil coupling problems. Scale effects need to be carefully examined and be verified by field observations, or large-scale experiments. Moreover, a multi-discipline based structural optimization would be functional for the design of offshore foundation systems.
(2) Rigorous constitutive modeling of cyclic responses Current analyses on the ultimate bearing capacity are mainly within the framework of conventional plasticity theories along with sophisticated empirical solutions. Despite great developments achieved on the elasto-plastic constitutive modeling, there are still challenging issues in understanding the macroscopic behaviors of granular materials [116] . Advanced constitutive models have not been efficiently used for reveal the complex failure mechanism, es-pecially for the cyclic behaviors of marine sediments, e.g. seabed liquefaction, the structure/foundation-soil interactions under the cyclic loading.
The dominant soil behaviours under cyclic loading include hysteresis, degradations of shear strength and stiffness as well as the accompanying accumulation of plastic strain and excessive pore pressure. The constitutive models that describe/capture all these behaviours would be too lengthy and complicated to be used effectively. An applicable constitutive model that is efficient and robust in numerical implementations for accurate prediction of cyclic responses is needed.
(3) Spatial variability of soil properties for large-spreading structures For a typical mooring system in deep waters, the engineering activity extends over a wide area, e.g. several tens of square kilometers or more. In-situ geotechnical investigations in deep water are extremely expensive, which limits the number of borings. As such, the uncertainties in the soil properties, soil stratification, loading conditions as well as the prediction models are considerable and the spatial variability effects should be carefully assessed.
How to incorporate these uncertainties into the geotechnical design in a systematic manner needs to be explored intensively. A single load-displacement curve of foundations obtained using deterministic models cannot accommodate the well-acknowledged uncertainties. If the observed response deviates from the prediction (as inevitably it will), how is the user to determine whether this deviation has significance or not? A range of the load-displacement curves considering the variation of the soils can achieve improved understanding and provide a basis for the inclusion of the monitored data into decision-making [117] . Even for gravity bases and spudcans subjected combined loadings, a deterministic yield surface still risk the foundations to fatally fail due to ignoring the uncertainties in the soil properties and loadings [118] . The yield surface or failure envelope is better to be expressed in terms of confidence intervals of VHM failure envelope. The probabilistic models are capable of providing additional information on assessing how reliable the deterministic prediction is, leading to a safer installation and operation of the foundations.
New challenges would be incessantly emerging with the rapid development of offshore engineering practices. Scientific reveal of instability mechanisms and advancing relevant theories would underpin the evolution of offshore foundations.
